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Case studies show that a lack of a model law structural engineer and a separate state structural
Engineering Practice Act can lead to major disasters. For example the Cocoa Beach Florida collapse
was attributed to engineers who did not know that they needed to check a concrete slab for shear
strength. As a result a building collapsed under construction and caused the loss of life of several
construction workers. In states with no Structural Engineering Act, it is more likely that errors will lead
either to collapse or to extreme and expensive repair to buildings.

Case studies are presented to discuss specific examples where structural failures would most likely not
have occurred if the design engineers were licensed structural engineers as defined by ASCE Policy 524,
SEI policy statement 101 and the NCEES Model Law Structural Engineer including the provision for
additional 30 units of acceptable graduate course work beyond the B.S. degree, a minimum of 32 hours
of written examination (includes FE/EIT exam) and a minimum of 4 years of experience working for a
licensed Structural Engineer. Five case studies are presented.

Case Study 1: Hartford Coliseum roof failure duet o buckling of truss members and joint
eccentricity.

The structure is the Hartford Coliseum located in Hartford Connecticut. The coliseum is approximately
108,000 square feet in size (equivalent to approximately two football fields). The structural engineer was
Fraioli-Blum-Yesselman and the architect was Vincent Kling. Construction was completed in 1974 and
the date of failure was 18 January 1978. The failure was originally investigated by Smith and Epstein,
Lev Zetlin Associates, Inc. and Loomis and Loomis, Inc.

This roof was noted for being one of the first large-span roofs made possible by computer design and
analysis, and was modeled as a space truss using a trusted program. The roof of this three-year-old
structure collapsed at 4:15 AM on January 18, 1978 during a freezing rainstorm after a period of snow.
Fortunately, there were no injuries sustained as a result of the collapse. The night before, there were
over 5,000 people in the coliseum attending a basketball game. Following several investigations of the
collapse, it was determined that this was an instance primarily of inadequate structural design.

A triangular lattice steel space grid, supported on four reinforced concrete pylons giving spans of 270 feet
and 210 feet, was used to support the roof. Smith and Epstein concluded that the interaction of top chord
compression members and their bracing played an important role in the redistribution of load and the
eventual collapse. They noted that certain compression members were braced against buckling only in
one plane. As loads increased, these members buckled out of plane and redistributed the loads to other
members. Over a period of time, more chords buckled and fewer and fewer members carried the load.
This situation worsened until the remaining members were unable to withstand the added stress due to
the loads present that night, and the final, sudden collapse took place.




Background

In order to reduce the cost of the roof, Fraioli-Blum-Yesselman proposed an innovative design for the 300
by 360 ft space frame roof over the arena. The proposed roof consisted of two main layers arranged in
30 by 30 ft grids composed of horizontal steel bars 21 ft apart. Thirty foot diagonal bars connected the
nodes of the upper and lower layers, and in turn, were braced by a middle layer of horizontal bars. The
thirty foot bars in the top layer were also braced at their midpoint by intermediate diagonal bars.

The design of the coliseum roof differed from standard space frame roof designs in four ways:
1. The configuration of the four steel angles did not provide good resistance to buckling. The cross-

shaped built up section which was used has a much smaller radius of gyration than either an I-
section or a tube section.

CROSS I TURE

2. The top horizontal bars intersected at a different point than the diagonal bars (rather than at the
same point), making the roof especially susceptible to buckling.

3. The top layer of the roof did not support the roofing panels; the short posts on the nodes of the
top layer did. Not only were these posts meant to eliminate bending stresses on the top layer
bars, but their varied heights also allowed for positive drainage.

4. The space frame was not cambered. Computer analysis predicted a downward deflection of 13-
inches at the midpoint of the roof and an upward deflection of 6-inches at the corners.

Lev Zetlin Associates (LZA) discovered that the roof began falling as soon as it was completed due to
design deficiencies. A photograph taken during construction showed obvious bowing in two of the
members in the top layer. The four major design errors above allowed the weight of the accumulated
show to collapse the roof (ENR, April 6, 1978). The load on the day of collapse was 66-73 psf, while the
arena should have had a design capacity of at least 140 psf (ENR, June 22, 1978). These deficiencies
caused the following undesirable results:

The top layer’s exterior compression members on the east and the west faces were overloaded

by 852%.

The top layer’s exterior compression members on the north and the south faces were overloaded

by 213%.

The top layer’s interior compression members in the east-west direction were overloaded by 72%.

The most overstressed members in the top layer buckled under the added weight of the snow, causing
the other members to buckle. This changed the forces acting on the lower layer from tension to
compression causing them to buckle also. Two major folds formed initiating the collapse (ENR, April 6,
1978).

The excessive deflections apparent during construction were brought to the engineer’s attention multiple
times. The engineer, confident in his design and the computer analysis which confirmed it, ignored these
warnings and did not take the time to recheck his work. A conscientious engineer would pay close
attention to unexpected deformations and investigate their causes. Unexpected performations often
indicate structural deficiencies and should be investigated and corrected immediately. Unexpected



deformations provide a clear signal that the structural behavior is different from that anticipated by the
designer.

The joint of the truss members was modeled in the computer as having no eccentricity, an incorrect
assumption. As a result of this inaccuracy, a bending moment was actually developed in the built
structure, putting additional stresses in the members. A nonlinear collapse simulation was run using the
correct model for the joint, and with loading conditions selected to approximately those of the night of the
failure. The result was that the simulated connection failed as it had under the real conditions.

Loomis and Loomis, Inc. (LLI) agreed with LZA that gross design errors were responsible for the
progressive collapse of the roof, beginning the day that it was completed. They, however, believed that
the torsional buckling of the compression members, rather than the lateral buckling of top chords,
instigated the collapse. Using computer analysis, LLI found that the top truss rods and the compression
diagonals near the four support pylons were approaching their torsional buckling capacity the day before
the collapse. An estimated 12 to 15 psf of live load would cause the roof to fail. The snow from the night
before the collapse comprised a live load of 14 to 19 psf. Because torsional buckling is so uncommon, it
is often an overlooked mode of failure (ENR, June 14, 1979).

Conclusion

The engineers for the Hartford Arena depended on computer analysis to assess the safety of their design.
However, computer programs are only as good as those who wrote and/or use them and have a
tendency to provide engineers with a false sense of security. The roof design was extremely susceptible
to buckling which was a mode of failure not considered in that particular computer analysis and, therefore,
left undiscovered (Shepherd and Frost, 1995). A more conventional roof design would have been much
stronger. Instead of the cruciform shape of the rods, a tube or I-bar configuration would have been much
more stable and less vulnerable to bending and twisting. Also, if the horizontal and diagonal members
intersected at the same place it would have reduced the bending stresses in these members. Finally, the
failure of a few members would not have triggered such a catastrophic collapse if the structure had been
designed and built with more redundancy (Levy and Salvadori, 1992).

If the state of Connecticut had enacted a structural engineering practice act requiring engineers who
design large and significant buildings such as the Hartford Coliseum to be licensed as a Structural
Engineer (SE), it is likely that the Coliseum engineers would have recognized the impact the configuration
of the truss members had on the integrity of the structure. Selecting the weaker of the configurations
without accounting for the resulting increase in buckling caused the failure to occur. Licensing of
structural engineers in the State of Connecticut could have prevented this catastrophic failure.

Finally, The Hartford Department of Licenses and Inspection did not require the design of the project to
be peer-reviewed, which it usually did for projects of this magnitude. If a second opinion had been
required the design deficiencies responsible for the arena’s collapse may have been discovered.

Case Study 2: Failure of a two-story building cons  tructed into the side of a hill.

The lateral earth pressure from the soil against the rear of the structure plus the surcharge load imposed
by the adjacent driveway was not accounted for in the structural design. The rear wall should have been
designed as a retaining wall or the second floor should have been designed as a horizontal diaphragm
properly connected to the two end walls which could have been designed as resisting shear walls. The
design engineer had no concept of static lateral earth pressure nor how to design for it. Dynamic lateral
earth pressure was also not accounted for in the structural design.

The Structure
A licensed professional engineer designed a two-story 30’ x 100’ building constructed into the side of a

hill as shown in Section A-A. The first floor is a concrete slab on grade. The second floor structure
consists of precast concrete slabs with concrete topping, spanning between a 12 inch thick concrete rear



wall and a row of steel beams and columns, at the front of the garage. A concrete wall is located on three
sides of the building as shown on the Foundation Plan. That portion of the building above the second
floor is a relatively light structure.

The Drawings

The sizes of the steel beams, columns, and footings were specified on the design engineer’s drawings.
The drawings called for 14 - #6 rebars in the concrete foundation walls, but did not indicate their location
nor the direction of placement. There was no detail indicating what is to occur at the juncture between
the precast concrete floor and the concrete end walls. It appeared that the building was basically built
according to the drawings.

The Problem

Soon after the completion of construction the top of the rear 14 foot high wall began to move inwardly. To
presumably correct this problem, the design engineer had a row of steel beams and columns placed
under the precast concrete floor and against the rear concrete wall as shown in Section C-C. The intent
was to remove load off of the rear wall. Movement of the rear wall continued.

Second Opinion

The design engineer then retained an independent structural engineering firm to obtain their opinion as to
what was occurring. This second engineer went to the site with the design engineer. The second
engineer immediately noticed a gap between the precast floor slab and the top of the concrete wall below
as shown in Section B-B. The second engineer also noticed from markings on the edge of the precast
and the adjacent wall below that the precast concrete floor had moved horizontally a few inches relative
to the rear wall.

Design Flaws

The second engineer pointed out and explained to the design engineer several flaws in his design.

1. The lateral earth pressure from the soil against the rear of the structure plus the surcharge load
imposed on the adjacent driveway was not taken into account. The rear wall should have been
designed as a retaining wall or the second floor should have been designed as a horizontal
diaphragm with this diaphragm properly connected to the two end walls which could have been
designed as resisting shear walls. As presently constructed, it was pointed out that the horizontal
movement will most likely continue.

2. Placing the new row of steel beams and columns shown in Section C-C probably made matters
worse since vertical load was removed from the rear foundation wall.

3. When asked, the design engineer said that the 14 - #6 rebars were intended to be placed
horizontally, i.e., 12" o.c. in the rear wall. It was pointed out to the design engineer that other than
for temperature stresses this reinforcing steel was virtually worthless. He stated that he did not
know where within this wall the contractor placed the reinforcing steel.

Conclusions

The design engineer had no concept of lateral earth pressure nor how to design for it. He did state that
he agreed with the second engineer’s observations and comments.
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Case Study 3: Lack of understanding of seismic per  formance and design requirements for a one-
story concrete masonry unit building.

The failure of this large retail building during a large earthquake was caused by a significant deficiency in
the structural design which demonstrated a lack of understanding of the seismic performance of this class
of building and the design requirements for the structural system. The building was located in Yucca
Valley in the California desert and the failure occurred during the Landers Earthquake of 1992. The
design was performed by a Licensed California Professional Engineer.

Building Description

This large retail building is shown in the photograph and has overall dimensions of 293 feet by 223 feet,
as shown in Figure 1. The building is single story except for a mezzanine that extends across the north
bay of the building. The roof utilizes steel bar joists framing to steel truss girders with a typical bay size of
41 feet by 38 feet 8 inches. A 1-1/2 inch thick metal deck spans between the joists and supports
insulation and roofing. The roof framing is supported on steel pipe columns and on concrete masonry
walls located on the perimeter of the building and on the interior in the building on grids 2 and 3 and grids
D1, D2, D3, and F. The foundations are a bearing type foundation with isolated spread footings under the
columns and continuous spread footings under the walls.

The seismic resistance of the building relies on the strength and stiffness of the concrete masonry walls
which are reinforced and partially grouted. The metal deck roof forms a diaphragm that distributes the
seismic inertia forces to the walls. This type of structural system relies on the structural detailing to
ensure that the seismic forces can be collected through the flexible roof diaphragm and transferred to
each wall based on the location and stiffness of the walls.

The Collapse During the Landers Earthquake

The roof collapse between grid 2 and 3, as shown in the photograph, occurred because of two modes of
failure. The first mode of failure is due to the roof diaphragm pulling away from the wall due to east-west
diaphragm deflection. This deflection was probably on the order of 4 to 6 inches and was caused by the
acceleration of the roof and the east wall away from the west wall on grid 2, see figure 2. The west wall
on grid 2 was unable to deflect with the roof due to the stiffening effect of the cross walls on grids C2, D1,
D, D3, and F. The weak connections between the roof and the walls contributed to the failure. The
second mode of failure is a shear failure along grid 2 due to the lack of welding between the ledger angle
and the imbeds from grid A to C2, the omitted shear transfer detail between C2 and G, and the lack of
diaphragm chord and collector design along grid 2. All the shear transfer at grid 2 was forced into the
joist connection to the wall, which was already inadequate for the pulling forces from the diaphragm
perpendicular to the wall.

The failures at the framing to wall connections at grid 3 between D and F are due to the incompatibility of
the flexible diaphragm and the rigid interior masonry walls. The movement of the flexible roof diaphragm
ripped the framing members and their connections from the stiff walls. The connections were anchored
into unreinforced masonry units and thus the failures were quite brittle.

The failure of the diaphragm connection to the rear wall at grid H is a result of the very weak connection
to the masonry wall. The anchor bolts failed by breaking out of the inside face of the wall, see wall
section 8A.

Design Defects

The seismic design of this building was based on the assumption of a flexible roof diaphragm which was
assumed to span across the building between the masonry walls on grids A and H and between 2 and 8.
The design ignored the stiff walls on grid lines C2, D1, D, D3, and F which restrained the roof diaphragm
and caused large restraint (collector) forces at these walls. With the lack of design, there were no drag
members or connections which resulted in the diaphragm pulling away from these walls which then



allowed the diaphragm to span between the exterior walls, as shown in Figure 2. The diaphragm
deflected which caused the framing to loose vertical support as it pulled away from the walls. The
following were the design deficiencies:

1. For east-west seismic forces, the diaphragm deflection of several inches is incompatible with the
relatively rigid masonry walls on grids C2, D1, D2, D3 and F. For north-south seismic forces, the
diaphragm deflection is incompatible with the masonry wall on grid 3. These masonry walls
should have been accounted for in the seismic design and appropriately designed and detailed
with collectors, as required by UBC section 2312(e)4 which states:

Distribution of horizontal shear. Total shear in any horizontal plane shall be distributed
to the various elements of the lateral force resisting system in proportion to their rigidities
considering the rigidity of the horizontal bracing system or diaphragm.

In another section of the UBC, section 2312(j) 2D, the requirements for diaphragms is explained:

Diaphragms supporting concrete or masonry walls shall have continuous ties between
diaphragm chords to distribute, into the diaphragm, the anchorage forces specified in this
chapter. Added chords may be used to form sub-diaphragms to transmit the anchorage
forces to the main cross ties. Diaphragm deformation shall be considered in the design
of the supported walls.

2. Diaphragm chord and collector detailing is lacking at the diaphragm boundary at grid 2. This
seriously limits the ability of the diaphragm to distribute seismic forces to the masonry shear
walls. This deficiency is in violation of UBC Section 2312(a) which reads as follows:

Every building or structure and every portion thereof shall be designed and constructed to
resist stresses produced by lateral forces as provided in this section.

The collapse of the roof, the tear in the roof diaphragm, and the pilaster damage at grid 2 and D3
are caused to some degree by this defect.

3. The diaphragm-wall connections are not detailed in a manner to assure an adequate transfer of
forces between the wall and the trusses, as shown in Figure 3, truss girders or the bridging.
Anchor bolts are so close to the face of the block that the connection capacity is very small
compared to the capacity required by UBC Section 2310:

Anchorage of Concrete or Masonry Walls

Sec. 2310. Concrete or masonry walls shall be anchored to all floors and roofs which
provide lateral support for the wall. Such anchorage shall provide a positive direct
connection capable of resisting the horizontal forces specified in this chapter or a
minimum of 200 pounds per foot of wall, whichever is greater. Walls shall be designed to
resist bending between anchors where the anchor spacing exceeds 4 feet. Required
anchors in masonry walls or hollow units or cavity walls shall be embedded in a
reinforced grouted structural element of the wall.

4. The diaphragm shear transfer between the roof diaphragm and the interior masonry walls
requires a connection between the metal deck and the top of the wall.

Conclusions
The intent of the seismic design standards in the Uniform Building Code and the standards of practice in

California is to have acceptable performance of buildings in earthquakes and prevent collapse. The
failures that occurred at this building are unacceptable and are a result of an apparent lack of



understanding of the seismic lateral load resisting system required for this type of building and the UBC
requirements for the design and detailing of the building combined.

Note: Samel/typical problem for concrete tilt-up construction.
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Case Study 4: Royal Palm Hotel, Turmon Beach, Guam  Design and Construction Errors.

Description

The Royal Palm Hotel consisted of twin 12-story reinforced concrete special moment resisting frames.
The building was designed in 1990 in accordance with the requirements of the 1988 Uniform Building
Code. Guam is subjected both to strong earthquakes and typhoons. The island was designated as
Uniform Building Code Zone 3, and also had design wind speeds of 140 miles per hour.

Structural design was performed by a Civil Engineer, licensed in both Guam and California. The Civil
Engineer of record for the project also served as the Special Inspector of record. Guam is a U.S. territory.
Licensing laws on Guam are similar to those in California, with both a civil license and structural title. At
the time of the collapse, the structural engineer did not possess structural title authority.

Construction of the building was completed in July, 1993. On August 8, 1993 a powerful earthquake
shook the island, causing partial collapse of the structure, which was determined to be a total loss. No
fatalities occurred but there were some injuries.

Causes of Collapse

A lengthy litigation ensued following the collapse and extensive structural investigations were performed
by a number of U.S. experts. Extensive design and construction flaws were found in the structure. These
included:

e The analytical model used to design the structure had numerous errors, including several
columns that were rotated 90 degrees from their actual orientation

» Additional confinement hoops required around column splices were not specified on the drawings
» Masonry infill walls created short-column conditions throughout the structure
» Strong-column weak beam criteria were not complied with

It was also determined that the contractor did not follow the structural details on the drawings. In
particular, two critical flaws were found:

» The contractor substituted “U” shaped stirrups for the closed ties required in the joints of the
special moment resisting frame.

» The contractor omitted closed hoops in many joints of the concrete special moment frame

Special inspection reports, signed by the engineer of record, indicated that the improperly constructed
joints had been inspected by the engineer, and that he approved of the placement of reinforcing steel.
Further, correspondence and notes on drawings indicate that because the seismic design forces for the
structure were less than the wind forces, compliance with the detailing requirements for special moment
frames, though desirable, was not essential.

Two primary types of failure — shear failure of joints in the special concrete frame and shear failure and
compressive crushing of gravity columns occurred at one of the two structure’s second story. This
resulted in partial collapse of the structure, and eventual demolition of both structures.

In trial, the jury ultimately found the contractor responsible for the collapse, but not before the engineer of
record omitted culpability and settled out of the litigation, giving up his insurance cover in the process.



Analysis

Although the contractor was ultimately found to be financially responsible for the collapse, for failure to
construct the building as shown on the drawings, there is no question that the design had many errors
and that extensive damage, possibly including collapse, may have occurred even if the structure was
constructed as designed. Further, the structural engineer’'s complicity in the incorrect construction, given
that he acted as special inspector for the project is without question.

The structural engineer did not have proper understanding of the basis for earthquake-resistant
requirements in the building code and did not act prudently either in designing the building or acting as its
special inspector. Ultimately this resulted in the total loss of a $70 million hotel, just weeks after its
completion and total financial losses that more than doubled the building’s construction cost.



Case Study 5: Collapse of Harbour Cay Condominium, Cocoa Beach, Florida.

On March 27, 1981, Harbour Cay Condominium, a five-story flat-plate reinforced concrete building,
collapsed as concrete was being placed for the roof slab. Eleven workers were killed and 23 others were
injured. The photo below shows debris after collapse of the buildings. The failure was originally
investigated by Lew. H.S., Carino, N.J., Fattal, S.G. and Batts, M.F., “Investigation of Construction Failure
of Harbour Cay Condominium in Cocoa Beach, Florida,” NBS Building Science Services 145, Aug. 1982,
135 pp.

Delatte, N.J., Jr., “Beyond Failure,” American Society of Civil Engineers, 2009, 390 pp.

According to the official report by the National Bureau of Standards:

“The structure had an overall length of 242 ft (74 m), a width of 58 ft (18 m) and contained nine bays. Slab
concrete was placed on flying forms, consisting of preassembled plywood decks supported by aluminum
trusses. Except for the roof, which was planned to be cast in one day, the floor slabs were cast in two
separate operations, each covering one-half of the total floor area. At the time of the collapse, concrete
had been placed on seven of the nine flying forms comprising the entire roof area. The construction
drawings show 8-inch concrete slab thickness spanning up to 27’-8” with no shear heads. Classic
punching shear failure resulting in complete collapse and 11 fatalities.

An inspection team from the Occupational Safety and Health Administration (OSHA), Department of
Labor, arrived at the site within one hour of the collapse and began an investigation. A team from the
National Bureau of Standards (NBS) joined the OSHA team one day later.”



During the study, NBS reviewed design and construction documents. The report cites the following
findings:

“1) The structural design calculations consisted of 79 consecutively numbered pages. The first page
specified the material strengths and loads assumed for the design. Pages 3 through 9 showed the axial
loads in columns, computed on the basis of tributary areas. Pages 9 through 16 contained wind load
calculations and the moments they produced in the assumed structure. Page 17 specified the preliminary
column sizes based on the computed axial loads and assumed end moments. Pages 18 through 77
contained the slab moment calculations and sizing of the flexural reinforcement. Page 78 contained the
pile cap designs and page 79 showed the final column schedule.

The design calculations were not examined in detail, but the following omissions were noted with regard
to compliance with the provisions of the American Concrete Institute 318 Standard (hereafter referred to
as the ACI Code) (2.1) which is part of the applicable local Code (2.2) for this structure.

1. There were no calculations to indicate whether the deflection or minimum thickness provisions of
the Code were met.

2. There were no calculations to indicate whether the punching shear and beam shear provisions of
the Code were met.

3. There were no checks to determine if the column reinforcement would satisfy the necessary
spacing requirements specified by the Code.

4. The steel area calculations for the flexural reinforcement in the slabs were based on ASTM Grade
40 steel. This is at variance with the Grade 60 steel specified in the structural drawings.

5. The effective depth of the slab in flexural reinforcement calculations was not defined explicitly but
appeared as part of a constant multiplier of computed moments. Back calculations showed that
the designer used the value of “around” 5.25 inch (160 mm) for the effective depth in steel area
calculations (effective depth varies somewhat with the amount and size of steel bars; hence the
use of the word “around”). For the 8-in (203-mm) slab, the effective depth used is consistent with
the 3/4-in (19-mm) minimum cover specified by the ACI Code (sec. 7.5 of ref. 2.1.). The actual
depth constructed was 4.25 inch.

The above statements are cited for information purposes only. Insofar as this investigation is concerned,
the structural drawings and specifications supersede the design calculations, and therefore, are the
documents referenced in subsequent comments about the “design” of the structure. Thus, questions
related to consistency of the design calculations with the contract documents are not discussed any
further.”

In conclusion, the 2-major contributors to the failure were identified as inadequate design and improper
rebar placement (adversely affecting effective depth of critical section). It is interesting to note that
according to St. Petersburg structural engineer, D.E. Olsen as reported by Paul Tash (St. Petersberg
Times staff writer), “even if all construction methods and techniques were without fault, this structure
should have collapsed anyway.”

On September 13, 1981, the Associated Press reported the following:

“Engineer in Building Collapse Gives Up His Florida License

The engineer who had primary responsibility for the Cocoa Beach, Fla., condominium that
collapsed last spring, killing 11 construction workers, surrendered his license today and said he
would never practice again.

Harold A. Meeler, the design engineer, in giving up his license, told a state board that he would
pay $3,000, the maximum fine, to avoid a hearing on the collapse of the five-story Harbour Cay
Condominium.

The collapse, on March 27, also injured 23 workers.



Mr. Meeler, who is 59 years old, retired from NASA, lost his license and agreed to refrain from
seeking another license unless all civil litigation related to the collapse is resolved in his favor.
Later he agreed not to practice structural engineering in the future.

Another engineer involved in the project, Augustus M. Allen, also gave up his license after the
Florida Department of Professional Regulation took action against him. Charges are also pending
against an architect and two contractors.”

Structural engineering is not simple. Every design that a structural engineer does involves life safety.
Consequently, structural engineers need to be adequately educated, well experienced, and examined in
structural design.

Errors, omissions and blunders cannot be prevented entirely. However, in the collapse of Harbour Cay
Condominium, the accident was avoidable. The engineers involved were licensed and believed they were
working within their areas of expertise. They had not been trained or examined in the area of structural
concrete design. Consequently, they did not know they were deficient in knowledge needed to protect the
public.

If Florida had required structural engineers to have a structural engineering education, obtain four years
of structural engineering experience and pass thel6-hour structural exam, the Harbour Cay engineers
would have known to check for shear strength. The collapse would not have occurred if the structure had
been designed for shear. Separate licensure of structural engineers in Florida would have prevented this
fatal accident.
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